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INTRODUCTION

The City and County of San Francisco (CCSF), Public Utilities Commission
(SFPUC) proposes to construct and operate a simple-cycle power plant, referred to throughout
this report as the Muni Site Power Plant, on the eastern four-acre portion of the Muni Metro East
Light Rail Vehicle Maintenance and Operation Facility. The power plant is proposed as part of
SFPUC’s Electrical Reliability Project (ERP), and will improve the CCSF’s electricity reliability
and replace aging and polluting in-city generation facilities (CH2M Hill, 2005). We understand
that this report will be included as part of the bid package for a design-build contract and will
also be submitted for California Energy Commission review.

This report presents the findings and design recommendations resulting from our
design-level geotechnical investigation performed at the request of PB Power and CH2M Hill for
the proposed Muni Site Power Plant. The project site is bounded by Cesar Chavez Street to the
south, 25™ Street to the north, and is approximately 750 feet east of Illinois Street, in San
Francisco, California. The location of the project site is shown on Figure 1 - Location Map. The
site is currently owned by the Port of San Francisco and is being leased by the Municipal
Railway of San Francisco (Muni). Hetch Hetchy Water and Power, SFPUC, plans to construct a
power plant at the site as part of their ERP. This geotechnical report was prepared for PB Power
and CH2M Hill as part of this effort, and was carried out based on a proposed schematic layout
and loads of power plant structures provided by PB Power.

This report provides an overview of existing geotechnical/geologic conditions at
the proposed power plant site and geotechnical design parameters for the proposed facilities.
The geotechnical site conditions presented herein are based on our field exploration as well as
literature review from available geotechnical/geologic reports in the project vicinity. This report
does not include environmental site characterization, hazardous materials testing, or other
environmental services.

PROPOSED DEVELOPMENT

The proposed power plant project entails the construction of three LM6000
combustion turbine generators, SCR/CO catalyst systems, and stacks; four fuel gas compressors
and fuel gas cooling radiators; two water storage tanks; a switchyard; a chiller and cooling tower;
a two story plant operations building; and numerous appurtenant structures. Access to the site
will be at the northwestern corner of the site, at the eastern end of 25™ Street. A plan of the
proposed layout of structures is shown on Plate 1 — Site Plan, Muni Site, SFPUC ERP Power
Plant. Design loads associated with the main power plant structures were provided to us by PB
Power, and are as follows:
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Treated Water Storage Tank 5,480 kips
DI Water Storage Tank 2,740 kips
Combustion Turbine Generator 750 kips

SCR/CO Catalyst System and Stack 400 kips
Generator Step-Up (GSU) Transformer 220 kips
Fuel Gas Compressor 45 kips each

PREVIOUS REPORTS

To assist us in our analyses, we reviewed geotechnical information from previous
reports in the project vicinity to evaluate past findings and fill any data gaps to assist us in
developing our field exploration. In addition to published geologic, geotechnical, and seismic
references and maps, the following consultant’s reports were reviewed:

e “Geotechnical Report, Potrero Power Plant, San Francisco, California”,
Geotechnical Consultants, Inc., June, 2004.

e “Final Geotechnical Study Report, MUNI Metro East Light Rail Vehicle
Maintenance and Operations Facility”, AGS, Inc., August 1999.

WORK PERFORMED

The scope of work for this project was developed based on (1) correspondence
and discussions with Steve Brock of PB Power and John Carrier of CH2M Hill; (2) drawings of
the power plant preliminary design layout and the power plant site in relation to the Muni Metro
East facility, as provided by PB Power; and (3) a review of available geologic and geotechnical
information.

We performed the following work for this geotechnical evaluation:
1. Exploratory Drilling. Explored subsurface conditions by means of fifteen rotary
wash borings, B-1 through B-15. All boring logs are appended to this report. The

boring locations are shown on Plate 2 — Field Exploration Plan. The following table
shows the drilling dates, ground elevations, and depths of the borings.

SF05019-3
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TABLE 1 —BORING DATES, ELEVATIONS, AND DEPTHS

Ground Depth
Boring Date Drilled Elevation

(feet) ) (feet)
B-1 7/23/05 12.0 100.5
B-2 7/30/05 13.5 101.5
B-3 7/23/05 13.5 32.5
B-4 7/23/05 10.5 168.2
B-5 7/27/05 11.0 100.5
B-6 7/27/05 11.0 100.5
B-7 8/2/05 11.5 101.0
B-8 7/28 and 7/29/05 11.5 101.5
B-9 7/29 and 8/1/05 12.5 100.9
B-10 7/25/05 12.5 31.5
B-11 7/26/05 13.5 101.5
B-12 7/26/05 14.0 101.5
B-13 7/25/05 14.5 33.0
B-14 7/22 and 7/25/05 12.5 101.5
B-15 7/20 and 7/21/05 14.5 150.0

(UElevations are based on interpolation between survey points and/or
elevation contours from survey map provided by PB Power, and are
estimated to the nearest 0.5 feet. Elevation datum is NAVD 1988.

Soils samples were recovered by split-spoon SPT, 2-)% inch diameter sleeve samples
using a split-barrel sampler, and Shelby Tube. Samples were visually classified and
submitted for testing in the laboratory. Boring logs and laboratory test data are
presented in Appendix A - Supporting Geotechnical Data.

Laboratory Testing. Performed laboratory tests, including moisture, density, grain
size distributions, Atterberg limits, unconfined compression strength, triaxial
undrained shear, consolidation, R-value, and corrosion on selected soil samples to
measure pertinent index and engineering properties. Details of the laboratory testing
program test results are presented in Appendix A.

Engineering Analysis. Analyzed findings to develop geotechnical recommendations
for seismic design criteria, earthwork, foundations, lateral earth pressures, pavement,
and corrosion.

Vibration Study. Analyze and evaluated vibration levels emitted from gas
compressors at the power plant, and transmitted to the Muni Metro East facility.
Evaluated foundation design for the gas compressors to limit soil excitation at the
source of the vibrations.

Site Specific Seismic Study. Conducted a site specific seismic hazards analysis for
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horizontal ground motions with a probability of exceedance of 10 percent in 50 years
and 2 percent in 50 years. Constructed a design response spectra in accordance with
FEMA 356.

6. Geophysics Testing. Conducted geophysical testing at the site to evaluate the
presence and distribution of subsurface obstructions in the upper 10 feet of fill and to
determine the dynamic properties of the soils for our vibration study.

7. Report. Prepared this report presenting our geotechnical findings, conclusions, and
recommendations for the design and construction of the proposed project.

FINDINGS
SITE CONDITIONS

The site of the proposed power plant encompasses approximately four acres
approximately 750 feet east of Illinois Street, and is bounded by 25" Street to the north and
Cesar Chavez Street to the south. The project site is situated in an area reclaimed from the San
Francisco Bay, and is approximately 500 feet from the Bay shoreline. The property is owned by
the Port of San Francisco and is leased by Muni. The property directly to the south of the project
site is occupied by a truck rental facility. The area to the east is being utilized as a holding yard
for truck trailers. The Muni Metro East Light Rail Vehicle Maintenance and Operations Facility
is proposed to be constructed on the vacant 13 acres to the west of the project site.

Currently, Pacific Cement occupies the northern portion of the project site, and
operates a concrete batch plant, which extends from 25" Street to a chain-linked fence
approximately 250 feet to the south. The entrance to the batch plant is at the eastern end of 25"
Street. Various appurtenant structures, such as two hoppers, several trailers, and conveyor belts
are situated in this area of the project site. Construction trailers are located along the western
property line. The hoppers and the main batch plant facilities are located in the center of the
area. Concrete walls and k-rails form dividers for stockpiles in the eastern portion of the plant.
The presence of truck and heavy equipment traffic impacted our boring locations, drill rig access,
and drilling schedule. A dirt and gravel access road circles the plant. The ground surface in the
majority of the plant area is hardened concrete residue over soil or gravel. Concrete slabs have
been constructed in some areas of the site for equipment and truck access, and for plant facility
and trailer foundations. Standing water about one foot deep from plant processes was present
over approximately one fourth of the batch plant area.

The middle portion of the project site is undeveloped, and extends from the
concrete batch plant to a chain-linked fence approximately 180 feet from the southern boundary
of the project site. The ground surface is mostly gravel and soil with some vegetation. Square
concrete piles were stockpiled in the northeastern portion of this area and are presumed to be for
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the construction of the neighboring Muni Metro East Facility. Vehicle access to this area is
through a gate on the eastern property line separating the project site from the truck trailer yard.

The southern portion of the site extends from the southern property line north
approximately 180 feet to a chain-linked fence. A four-wide construction trailer occupies the
western portion of this area of the project site. Two concrete slabs at grade, each approximately
10 feet square, are located in the southeastern corner of the area.

The site was surveyed, and a topographic map was provided to us by PB Power.
All elevations referred to in this report are with respect to NAVG 1988 datum. The project site
and surrounding area is generally flat with the exception of concrete debris and aggregate
mounds in the northern portion of the site. These mounds are moved by the batch plant
personnel on an on-going basis; however, at the time of the survey, the mounds were at elevation
+27 feet, and were located in the northeastern portion of the batch plant. Most of the batch plant
area is between elevation +10 and + 13 feet. The middle section of the project site gently slopes
to the north from about elevations +14 to +12 feet. The southern portion of the project site is at
approximately elevation +14 to +15 feet.

Overhead utility lines span in a north-south direction along the eastern and
western property lines. Additional overhead lines are present in the batch plant area near the
trailers on the western edge of the site. No known underground utilities were noted during our
subsurface investigation.

The area west of the project site, from Illinois Street to the proposed Louisiana
Street (aligned approximately along the western property line of the project site) was reclaimed
from the Bay by approximately 1935 (AGS, 1999). Review of historic aerial photographs
indicates that by 1946 fill operations continued to extend the shoreline further east, creating the
footprint on which the site currently lies. A later aerial photograph shows that the current
general shoreline configuration, including Pier 80 and the truck trailer holding yard east of the
project site, was built out by 1969.

Geotechnically challenging subsurface conditions exist at the project site. During
our subsurface investigation we encountered abundant debris in the artificial fill consisting of
concrete, metal, brick, and glass. It should be noted that drilling through the artificial fill was
time consuming and drilling equipment was damaged on some concrete slabs and metal objects.
Table A-2 — Debris Encountered During Subsurface Exploration in Appendix A summarizes

notable debris encountered during our exploration and approximate time taken to drill though the
fill.
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SEISMICITY

The San Francisco Bay Area contains several active faults that could cause strong
ground shaking at the project site. Figure 2 — Regional Fault Map shows faults in the area and in
relation to the proposed Muni Site Power Plant. Historic earthquake records compiled since
1800 indicate that five earthquakes of magnitude 6.0 or greater have occurred within 20 miles of
the project site (Blake, 1993). The United States Geological Survey (USGS) Working Group on
California Earthquake Probabilities concludes that there is a 62 percent probability of a strong
earthquake (Mw>6.7) occurring in the San Francisco Bay Region in a thirty year period between
2003 and 2032 (USGS, 2003). The major active faults in the project area comprise a complex
system of right-lateral, strike-slip faults; including the San Andreas, San Gregorio, Hayward, and
Calaveras faults; collectively known as the San Andreas fault system. The San Andreas, San
Gregorio-Seal Cove, Hayward, and Calaveras faults have produced measurable historic ground
motion and movement. Of these faults, the San Andreas is the controlling fault with respect to
seismic design at the proposed power plant site. The California Geologic Survey (CGS), who
recently updated fault parameters (Cao, et al, 2003), estimated that the San Andreas fault is
capable of producing an earthquake of an estimated maximum moment magnitude of 7.9. A
summary of nearby faults is presented in Table 2 - Active and Potentially Active Faults.

TABLE 2— ACTIVE AND POTENTIALLY ACTIVE FAULTS

. . ; ; 2
Fault Distance | Estimated Maximum Historic Earthquakes®
- i @
(Segment or Event) (miles) Moment Magnitude Yesr Magnitude
San Andreas 1838 6.8
3) 3) 1898 6.2
(1906 rupture) 8.2 7.9 1906 21
(Peninsula) 8.1 7.1 1989 7.1
(North Coast Segment) 10.7 7.4
Hayward 1868 6.8
(South) 10.8 6.7
(North) 11.0 6.4
San Gregorio-Seal Cove NA NA
(North) 11.8 7.2
Monte Vista-Shannon 24.0 6.7 NA NA
Calaveras 20.6 6.8 1861 53
1979 59
1984 6.1
€)) Maximum Moment Magnitude based on CGS fault parameters updated in 2002 (CAO, et.al., 2003)
2) Historic earthquakes shown may have occurred in other segments of the noted fault.
3) 1906 rupture event assumes rupture of North Coast, Peninsula, and Santa Cruz Mtns. segments to San Juan

Bautista. Maximum magnitude based on 1906 average 5 m displacement (WGCEP, 1990; Lienkaemper, 1996).
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We utilized the services of Dr. Robert Pyke to develop site-specific ground
surface response spectra in accordance with FEMA 356, Section 1.6.2. The results of the site-
specific analysis are included in his report, attached as Appendix B — Site Specific Dynamic
Response Analysis.

GEOLOGY

Regional Geology. The San Francisco Bay Area is located within the Coast
Ranges Geomorphic Province. Past episodes of tectonism have folded and faulted the bedrock,
creating the regional topography of northwest trending ridges and valleys characteristic of the
Coast Range Geomorphic Province. Faults belonging to the San Andreas system have divided
the bedrock underlying the San Francisco Bay Area into major structural blocks. The site is
located on the San Francisco Bay Block which is bounded on the east by the Hayward fault and
on the west by the San Andreas Fault. During the past two million years, the San Francisco
Block has tilted to the east forming the elongated depression now occupied by the San Francisco
Bay. During the same period, the Santa Cruz Mountains, Diablo Range, and Berkeley Hills have
been uplifted.

The bedrock of the San Francisco Block consists of Jurassic-Cretaceous rock
belonging to the Franciscan Complex and Great Valley Sequence. Rocks of these formations
include graywacke sandstone, conglomerate, chert, serpentinite, shale, cataclasite, and altered
volcanics.

Local Geology. The local geology is presented on Figure 3 — Local Geologic
Map. Based on a review of published mapping (CDMG, 1969) and previous geotechnical
reports in the project vicinity, bedrock in the project vicinity is overlain by approximately 170
feet of older bay mud, upper and lower layered sediments, younger bay mud, and artificial fill.
Table 3 — Anticipated Project Site Subsurface Stratigraphy presents a schematic stratigraphic
column of the different soil and rock types anticipated to underlie the proposed power plant site,
and is based on information obtained from published mapping (CDMG, 1969) and previous
geotechnical reports.

The older bay mud typically consists of medium-stiff to stiff, overconsolidated,
plastic, fat clay with layers of dense silty clay to clayey sand, deposited under estuarine
conditions and subsequently exposed by low sea level during periods of Pleistocene glaciation.
The layered sediments, deposited during periods when older bay mud was deposited further off
shore, is generally composed of silty and clayey sand and sandy clay. Layered sediments are
subdivided into upper and lower units that are known to interfinger with the older and younger
bay mud (URS, 2001).
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The deposits of older bay mud and upper layered sediments are overlain by an
approximately 20 to 30-foot thick layer of younger bay mud. The younger bay mud consists of
soft, plastic, normally to slightly over-consolidated, lean to fat clay containing occasional lenses
of organics. These geologically recent bay mud deposits are characterized by their high water
content and compressibility, low dry density, and very low shear strength. The younger bay mud
is overlain by a 25 to 30 foot thick layer of artificial fill comprised predominately of gravelly
clay to clayey sand with gravel. Gravel consists of fragments of the Franciscan complex, rock,
concrete, and brick. Other material in the debris fill includes metal, wood, organic material and
evidence of oil or hydrocarbons.

TABLE 3— ANTICIPATED PROJECT SITE SUBSURFACE STRATIGRAPHY

. Approximate .
Geologic Era CIaRses?;;)cr;?ilon Elevation SO'IéSR orcrz]lg(')l'lglpes
Range (ft) y
Historic . S,
(0 to 200 years old) Recent Fill +14 to —17 Artificial Fill (af)
-17 to —40 Younger Bay Mud (Qybm)
Holocene to Alluvial, Colluvial | -40to -70, & Upper Layered Sediments
Pleistocene and Estuarine -90to-110 (Quls)
(0 to 1.8 million Deposits -70 to 90, &
years old) -110 to —135 Older Bay Mud (Qobm)
-135t0 -158 | Lower Layered Sediments (Qlls)
Cretaceous to Jurassic Franciscan 158 and Sandstone (ss)
(65 to 165 million Complex (KJ) Shale (s)
below
years old)
Claystone (cs)

EARTH MATERIALS

Our exploratory borings preformed for this investigation, as well as review of
previous borings by others in the immediate project vicinity, indicate that the site is blanketed by
artificial fill underlain by younger bay mud, upper layered sediments, older bay mud, and lower
layered sediments. These Quaternary deposits and sediments are underlain by Franciscan
Complex bedrock at depths ranging from approximately 140 to 180 feet. Cross sections showing
the general subsurface profile interpolated from our boring data are presented on
Plate 3 - Subsurface Profile A-A’ and Plate 4 — Subsurface Profile B-B’ and C-C’. Locations of
cross sections are delineated on Plate 2.

Artificial Fill (af). Deposits of artificial fill, which blanket the project site, were
encountered in our exploration from the ground surface to depths ranging from 20 to 31 feet.
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Review of historic aerial photographs suggests that this fill was placed at the site over a period
spanning the early 1940’s to the mid 1960’s. Contours lines depicting the thickness of artificial
fill are shown on Plate 5 — Thickness of Existing Artificial Fill. The fill predominantly consists
of poorly graded to well-graded gravels (USCS classification symbol GP and GW) and silty to
clayey gravels and sands (USCS symbols GM, GC, GW-GM, GP-GM, SM, and SP-SM). The
gravelly soils typically contain approximately 50 to 80 percent gravel that is sub-rounded to sub-
angular, with maximum dimension ranging from 1.5 to 3 inches; approximately 15 to 40 percent
poorly graded sand; and, approximately 5 to 25 percent non-plastic silty to low plasticity clayey
fines. The sandy fill soils typically contain approximately 45 to 55 percent poorly graded sand
with approximately 25 to 45 percent fine to coarse gravel, and approximately 10 to 25 percent
non-plastic silty to low plasticity clayey fines.

The fill is typically damp near the ground surface becoming moist to wet with
depth. Measured dry density of the fill ranged from 80 to 132 pounds per cubic foot (pct), with
water contents ranging from 10 to 19 percent.

Near surface fill at the site consists generally of a thin layer of aggregates
comprising gravel, sandy gravel, and crushed concrete. On the southernmost 1/3 of the project
site, the surface aggregates are uniformly placed (6-inches to a foot) with an underlying
geotextile (likely placed as a reference/separator for future reclaiming of the aggregate base).
Beneath the near surface aggregates, the uppermost 5 to 8 feet of fill across the site consists of
relatively dense to very dense Franciscan Complex derived soil containing serpentinite gravel-
sized, and scattered cobble-sized, clasts in a matrix of silt and clay derived from decomposed
serpentinite along with other sediments. This upper layer also contains minor debris including
crushed brick and trace glass.

Below 5 to 8 feet, to depths of 20 to 31 feet, the composition of the fill consists of
a highly heterogeneous composition of sandy and gravelly soils containing varying amounts of
debris, which were at times very abundant to predominant. The debris encountered during our
drilling primarily consists of concrete, asphalt, brick, wood, and metal. The debris, at times,
imposed very difficult drilling conditions during our exploration (e.g., some debris required
coring through with “trash barrel”), although all of our borings were successfully completed. A
summary of specific debris and difficult drilling conditions encountered in our borings are
presented in Appendix A in Table A-2 — Debris Encountered During Subsurface Exploration.

In addition to our boring exploration, the presence, location, and type of debris
within the artificial fill were assessed by performing an electromagnetic and electrical resistivity
survey of the site. The survey was performed by Southwest Geophysics, Inc., and the findings of
their survey are presented in their geophysics report, Appendix C.

Younger Bay Mud (Qybm). Artificial fill at the project site is underlain by
younger bay mud, which extends to about elevation -34 to -52, as shown in Plate 7 — Bottom

SF05019-12



Elevation of Younger Bay Mud. The younger bay mud ranges from 19 to 35 feet in thickness, as
shown on Plate 8 — Thickness of Younger Bay Mud. The younger bay mud generally consists of
soft to medium stiff, highly compressible, dark greenish gray fat clay (USCS symbol “CH”).
The younger bay mud typically includes zones with trace to abundant shell fragments, and trace
to minor organic material. Occasionally, the younger bay mud possesses a mild H,S odor.

Our laboratory testing indicates that the younger bay mud is slightly over- to
slightly under-consolidated, which suggests that some minor consolidation of the younger bay
mud is ongoing as a result of historic fill placement. Laboratory-measured dry density of the
younger bay mud ranged from 65 to 74 pcf, with measured water contents ranging from 45 to 58
percent. Measured liquid limit (LL) ranges from 65 to 75, with a plasticity index ranging from
38 to 50. Laboratory measured unconsolidated, undrained (UU) shear strength of the younger
bay mud ranges from 684 to 1481 pounds per square foot (psf). Additionally, field
measurements of younger bay mud strength were made using pocket penetrometer and torvane
instruments, which indicated undrained shear strengths ranging from 0.20 to 1.6 kips per square
foot (ksf).

Upper Layered Sediments (Quls). A sequence of inter-bedded alluvial and
marine sediments was encountered underlying the younger bay mud between elevations of —40
to —70 feet and underlying the upper layer of older bay mud between elevations of —90 to -110
feet. This unit is sometimes referred to as the San Antonio Formation (e.g., Rogers and Figuers,
1991), but has also been identified by numerous other names in past studies, including Older
Alluvium (GTC, 1995 and 2005), Upper Layered Sediments (ADEC, 1999) and Upper
Alluvial/Marine Sediments (URS, 2001). Throughout this report, we will refer to this unit as
“Upper Layered Sediments” (Quls). Based on our boring observations, this unit consists of
alternating layers of silty sands (SM), clayey sands (SC), sandy to clayey silts (ML), lean to fat
clays (CL, CH), and clean poorly graded sands (SP). The alluvial deposits within the unit are
typically yellowish brown to dusky yellow, while the marine sediments are typically grayish
green and dark greenish gray.

The granular materials within this unit are typically fine to very fine grained sands
that are dense to very dense. Laboratory-measured dry density of sandy soils within the unit
ranged from 105 to 113 pcf, with water contents ranging from 18 to 21 percent.

The fine grained soils within this unit are typically stiff to very stiff. Field
strength measurements of upper layered sediments were made using pocket penetrometer and
torvane instruments, which indicated undrained shear strengths ranging from 1.2 to 4.75 kips per
square foot (ksf).

Older Bay Mud (Qobm). Interfingered with the upper layered sediments is a

relatively uniform layer of stiff fat clay (CH) commonly known as older bay mud. We
encountered two layers of older bay mud, separated by a layer of upper layered sediments, in all
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of our deep borings at approximate elevation -70 to —90 for the upper layer and -110 to —135 feet
for the lower layer.

The older bay mud encountered in our exploration predominantly consists of
greenish gray to dark greenish gray fat clay (CH) that is moist and medium stiff to stiff with trace
amount of shell fragments. Occasional lenses of clayey silt and lean silty to sandy clay were also
encountered in our exploration. Laboratory measured shear strengths from unconfined
compressive strength tests ranged from 1339 to 3722 psf. Additionally, field measurements of
younger bay mud strength were made using pocket penetrometer and torvane instruments, which
indicated undrained shear strengths ranging from 0.50 to 2.3 kips per square foot (ksf).
Measured liquid limit (LL) ranges from 75 to 93, with a plasticity index ranging from 50 to 60.
Laboratory-measured dry density ranged from 62 to 96 pcf, with water contents ranging from 28
to 65 percent.

Lower Layered Sediments (QIlls). A sequence of interbedded alluvial and
marine sediments was encountered in B-4 underlying the older bay mud between elevation -135
to —158 feet. Similarly to the Upper Layered Sediments (Quls), this unit has been referred to by
different names in past studies (e.g., GTC 1995, ADEC 1999, URS 2001, etc.); however,
throughout this report, we will refer to this unit as “Lower Layered Sediments” (Qlls). Based on
our observations in boring B-4, this unit consists of alternating layers of alluvial sandy clays
(CL) and marine deposited fat clays (CH). The alluvial sandy clays typically contain moderate
fine gravel derived from Franciscan complex shale. The sediments within the unit are typically
grayish blue green.

Franciscan Complex (KJf). In boring B-4, bedrock of the Franciscan Complex
was encountered at a depth of 168 feet, corresponding to elevation —157.5 feet. Published maps
(CDMG, 1969) suggest that the bedrock elevation beneath the site ranges from very
approximately —140 to —180 feet. The bedrock encountered in boring B-4 consists of dark gray
to black, fractured, moderately strong shale.

GROUNDWATER

Groundwater was measured in borings that were initially cored with a “trash
barrel” prior to changing to the rotary wash drilling method. We obtained groundwater
measurements in all of the borings except B-12. A summary of all measured groundwater depths
and corresponding elevations are presented in Table 4 — Groundwater Measurements. The
groundwater level throughout the project site is likely to experience some tidal influence from
the nearby San Francisco Bay and will likely fluctuate relative to daily high and low tide levels.
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TABLE 4 —- GROUNDWATER MEASUREMENTS

Depth to Groundv_vater
Boring Date Groundwater Elevation
(20| 1o Datum
B-1 7/23/05 10.5 1.5
B-2 7/30/05 9.4 4.1
B-3 7/23/05 10.2 33
B-4 7/23/05 10.0 0.5
B-5 7/27/05 9.4 1.6
B-6 7/27/05 9.3 1.7
B-7 8/2/05 11.5 0.0
B-8 7/28/05 12.3 -0.8
B-9 8/1/05 10.2 2.3
B-10 7/25/05 11.7 0.8
B-11 7/26/05 12.5 1.0
B-12 7/26/05 - -
B-13 7/25/05 12.0 2.0
B-14 7/22/05 11.7 0.8
B-15 7/20/05 12.7 1.8

CONCLUSIONS AND RECOMMENDATIONS

FEASIBILITY

m
G

Based on our exploration, laboratory testing, and geotechnical analyses, it is
considered geotechnically feasible to develop the power plant at the proposed site,
provided that the findings and design considerations presented in this report are

considered in the project design.

particular attention include:

seismic settlement.
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The amount and nature of the debris in the artificial fill,
Weak and compressible bay mud underlying the proposed power plant,
Potentially highly corrosive subsurface shoreline environment, and
Potential for seismic hazards including strong ground shaking, liquefaction, and

Geotechnically challenging conditions requiring
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SEISMIC DESIGN CONSIDERATIONS

General. As the project site is located within the seismically active San
Francisco Bay Area, major earthquakes can cause strong ground shaking and associated
fault rupture, liquefaction, lateral spreading, landslides, and seismic settlement. These
seismic hazards are discussed, and design considerations provided, in the following
sections.

Fault Rupture. No active or potentially active faults are known to cross the site.
Consequently, the hazard posed by ground rupture due to fault offset is considered to be
very low, and does not warrant mitigation design considerations.

Ground Shaking. Although no known active faults traverse the site, strong
ground shaking may occur as the result of a moderate to large earthquake occurring on
one of the active regional faults. Of the active regional faults, the San Andreas fault is
considered to be the most capable of causing strong ground shaking within the project
site because of its estimated relative activity and proximity.

Dr. Robert Pyke assessed the site-specific ground shaking characterization of the
project site which is provided in Appendix B and further discussed in Section 2.8. From
his analysis, the peak horizontal ground acceleration (PGA) was calculated to be
approximately 0.21g for Basic Safety Earthquake 1 (BSE-1) and 0.26g for Basic Safety
Earthquake 2 (BSE-2) hazard levels. The relatively low PGA at the site (i.e., low with
respect to standard attenuation relationships for soil and rock sites) is due to the
anticipated large shear strains within the young bay mud during the design earthquake,
thereby creating a large damping effect on high frequency ground motions. Conversely,
longer period ground motions are relatively higher than typical rock or stiff soil sites due
to the amplification effects of long period vibrations in the bay mud. For this reason,
structures having long periods (e.g. tall or flexible structures) will likely experience high
seismic forces and large displacements during a large earthquake. We recommend that
the site-specific ground surface response spectra provided in Dr. Pyke’s report, and
Section 2.8, be used for design of power plant structures.

Liquefaction. Liquefaction is a phenomenon wherein a temporary, partial loss of
shear strength occurs in a soil due to increases in pore pressure that result from cyclic
loading during earthquakes. Saturated, loose to medium dense sands and silty sands are
most susceptible to liquefaction, although documented field cases have shown that
gravelly soils and certain fine grained soil are also capable of liquefying. Consequences
of liquefaction can include ground settlements, foundation failure, sand boils, and lateral
spreading.
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Considering the high plasticity and fine-grained nature of the native bay mud, and
the high density of underlying upper layered sediments, the potential for liquefaction of
native soils beneath the upper areal fill at the proposed power plant is very low.

The soil layer most susceptible to liquefaction at the proposed power plant site is
the artificial fill, which extends from the ground surface to a depth ranging from
approximately 20 to 30 feet. We first assessed liquefaction potential of the fill layer with
respect to soil type only, using recent methodology prescribed by Seed et al., 2003. The
methodology improves upon the previous state of practice known as the Modified
Chinese Criteria (developed by Wang, 1979; Seed and Idriss, 1982; and subsequently re-
evaluated, modified, and transposed to U.S. conventions by Andrews and Martin, 2000).
According to Seed et al., liquefaction susceptibility of silty and clayey granular soils is
related to the fines content (-200 sieve), plasticity of the fines, and the natural water
content of the soil.

As discussed under “Subsurface Conditions,” the gravelly fill soils
typically contain approximately 50 to 80 percent gravel that is either poorly or well
graded, sub-rounded to sub-angular, with maximum dimension ranging from 1.5 to 3
inches; approximately 15 to 40 percent poorly graded sand; and, approximately 5 to 25
percent non-plastic silty to low plasticity clayey fines. The sandy fill soils typically
contain approximately 45 to 55 percent poorly graded sand with approximately 25 to 45
percent fine to coarse gravel, and approximately 10 to 25 percent non-plastic silty to low
plasticity clayey fines. Given these parameters, the areal fill at the project site, with the
exception of some minor clayey zones and layers, falls into categories defined by Seed et
al. (2003) as Zones A and B, which are delineated on an Atterberg Limit chart. Soils in
these zones are considered susceptible to liquefaction provided that their water content is
relatively high with respect to the liquid limit of the soil fines (i.e., w=80 to 85% LL).
According to Seed et al. soils in Zone A are most susceptible to “classic” cyclically
induced liquefaction, whereas soils in Zone B fall into a transition range, and in some
cases, especially if the in-situ water content is greater than 0.85*LL, may liquefy, but
tend to be more ductile and may not liquefy in the classic sense of losing a large fraction
of their strength and stiffness at relatively low cyclic shear strains.

The next step of our liquefaction evaluation was to determine the soil
susceptibility with respect to its in-situ state, specifically relative density indicated by
Standard Penetration Test (SPT) blow counts. In general, for liquefaction of the site soils
to occur, they must be saturated and their relative density, as indicated in the field by SPT
blow counts or other means, should be high enough to resist seismically induced cyclic
stresses (typically expressed in terms of the “cyclic stress ratio,” or “CSR”).

Based on our evaluation of soil resistance to CSR based on SPT blow counts (per

Seed et al. 1985, with modifications by NCEER, 2001) we conclude that there is a
potential for liquefaction to occur within the artificial fill at the site during a major
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earthquake. However, many of the zones of fill identified as potentially liquefiable are
comprised of coarse gravelly soils, where pore pressures should dissipate rapidly,
possibly limiting associated shear strains and strength loss within the soil.

Consequences of liquefaction of fill at the site include reduction (or loss) of soil
bearing capacity, total and differential settlements, and ground fissures resulting from
sand boils and lateral spreading. Because the upper 5 to 8 feet of the fill at the site is
relatively dense to very dense, and lies above the groundwater table, we do not anticipate
significant reduction of soil bearing capacity against shallow footings. A potential for
lateral spreading may exist at the northeast corner of the site, which is discussed in
Section 2.5. Seismic settlements are anticipated, resulting from post-liquefaction soil
consolidation, and is further discussed in Section 2.6.

Typical schemes to mitigate the occurrence and/or effects of liquefaction include,
but are not limited to, dynamic compaction, vibro-compaction or vibro-replacement stone
columns, and in-situ grouting methods such as jet grouting and chemical grouting.
However, because of the highly heterogeneous nature of the fill and abundance of debris
within the fill at the site, we conclude that these mitigation measures would only provide
marginal improvement to the liquefaction resistance of the soil, would be very difficult to
implement and monitor their effectiveness, and would likely be cost prohibitive. We
conclude that the most appropriate mitigation scheme is to support most, if not all, of the
facility structures on deep pile foundations that derive their resistance from deeper dense
soils.

Lateral Spreading. As the proposed power plant site is situated near and
adjacent to the San Francisco Bay shoreline, the potential for lateral spreading during a
major earthquake may exist, particularly at the northeast corner of the site, which is
approximately 120 feet from the bay shoreline. According to Bartlett and Youd (1995),
for significant lateral spreading displacements to occur, the soils should consist of
saturated cohesionless sandy sediments with N1 ) less than 15, where liquefaction of the
soils are likely based on standard liquefaction analysis. Soils in boring B-2 (i.e.,
northeast corner of the site) consist of loose cohesionless soils that are susceptible to
liquefaction. However, the fill in boring B-2 is coarse gravel in nature with minor to
moderate cobbles, which does not fall within the parameters applicable to the Bartlett and
Youd lateral displacement model. We estimate that lateral displacements at the site will
be possible but very small due to the gravelly nature of the fill, which typically does not
undergo sustained loss of shear strength due to pore pressure increases, and hence, does
not develop widespread shear zones for significant lateral displacements to occur during
liquefaction. We estimate potential lateral movements at the northeast corner of the site
on the order of a few (i.e., 1 to 2) inches during a major earthquake.
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Seismic Settlements. Seismically induced settlement of on-site fill materials can
occur in two manners: 1) settlements due to post-liquefaction volumetric reconsolidation
of saturated soils, and 2) volumetric contraction (“densification”) of non-saturated soils
(above the water table) during strong ground shaking. We have estimated the magnitude
of seismic settlement of artificial fill at the Muni Site for these two settlement modes
based on the methodology prescribed by Tokimatsu and Seed (1987). Our estimates of
seismically induced settlements are presented on Plate 9 - Seismically Induced
Settlements.

As the Tokimatsu and Seed method is based primarily on the study of relatively
clean saturated sands, some corrections were made to account for the fines-content of the
fill materials, as well as the general gravelly consistency of the soil. Post-liquefaction
SPT N0y corrections were made, as recommended by Seed (1987), to account for
increased fines content. Based on our analysis, we estimate that seismically induced
post-liquefaction settlement of saturated fill below the groundwater table range on the
order of less than 1 inch to 5 inches. It is important to note that the fills at the site are
very heterogeneous in nature, and consequently, the estimates of site settlements due to
volumetric reconsolidation carry a high degree of uncertainty (studies of predicted vs.
observed settlements [Wu, 2003] indicate an uncertainty factor of +/-2). The post
liquefaction settlements should be considered as “averages,” and local differential
settlements should be expected.

Because of the generally very dense nature of the upper 5 to 10 feet of the
artificial areal fill, as indicated by high SPT blow counts, our analysis indicates that
seismic settlement due to densification of non-saturated granular soils above the
groundwater table should be less than 1/2-inch across the site.

CBC Seismic Design. Because of the thickness and consistency of the soft,
sensitive clays and potentially liquefiable fill present beneath the proposed power plant
site, the Soil Profile Type for California Building Code Static Force Procedure design
(CBC, 2001) is “Sg.” Soil Profile Type “Sg” requires that a site-specific geotechnical
investigation and dynamic response analysis be conducted to develop structural response
spectra for proposed power plant elements for a given design seismic event. A discussion
of the site specific response analysis, conducted by Robert Pyke, PhD, G.E., is provided
in the following the following section.

Site-Specific Dynamic Response Analysis. We utilized the services of
Dr. Robert Pyke to develop site-specific ground surface response spectra in accordance
with FEMA 356, Section 1.6.2. The results of the site-specific analysis are included in
his report, attached as Appendix B.

The ground surface response spectra were developed for two earthquake hazard
levels, Basic Safety Earthquake-1 (BSE-1) and Basic Safety Earthquake-2 (BSE-2). As
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indicated in Dr. Pyke’s report and in FEMA 356, the site-specific response acceleration
parameters used in constructing the design spectrum are as follows:

e For BSE-2, the acceleration parameters are taken as the smaller of the values
derived from: (1) the spectrum from 2 percent in 50 years probability of
exceedance and (2) 150 percent of the mean deterministic spectrum.

e For BSE-1, the acceleration parameters are taken as the smaller of the values
derived from: (1) the spectrum from 10 percent in 50 years probability of
exceedance and (2) two-thirds of the BSE-2 spectrum.

Once the site-specific response acceleration parameters were selected, Dr. Pyke
performed one-dimensional nonlinear site response analyses in order to obtain horizontal
motions at the ground surface. The input motions for the nonlinear analyses were in the
form of acceleration time histories at the bedrock surface at a depth of 170 feet below
ground surface. The spectra of the input motions are labeled MUNI BSE-1 “ROCK” in
Figures 4 through 6 and MUNI BSE-2 “ROCK” in Figures 7 through 9 of Dr. Pyke’s
report (Appendix B). In comparing the input spectra to the computed ground surface
spectra in Figures 4 through 9 of Dr. Pyke’s report, the effect of the soil strata above the
bedrock is to dampen the high frequency (low period) ground motions, and amplify the
longer period ground motions. Dr. Pyke indicates that “the analyses for both the BSE-1
and BSE-2 levels of loading showed pronounced nonlinearity as a result of the fill
serving as an inertial reaction that generates large shear strains in the young Bay Mud.
As a result the ground surface motions that are obtained for BSE-2 are not much greater
than those for BSE-1.” It is this nonlinearity that acts to lessen the spectral accelerations
at the ground surface at high frequencies.

The recommended site-specific ground surface response spectra are provided in
Dr. Pyke’s report as Figure 10 for BSE-1 and Figure 11 for BSE-2. The response spectra
are duplicated in this report on Figure 4 — Ground Surface Spectra.

GROUNDWATER

The measured groundwater in the upper artificial fill in our borings was measured
at elevations between —0.8 and +4.1 feet. Due to the proximity of the San Francisco Bay,
groundwater in the fill is likely hydraulically connected to the bay and levels will
fluctuate with the changing tide. During the rainy season groundwater levels may be
governed by rainwater infiltration, both on the site and at upgradient locations.
Therefore, seasonably higher groundwater levels should be anticipated. Depending on
the tide and/or seasonal conditions, we anticipate that groundwater will enter excavations
approaching elevation as high as +6, or approximately 8 feet deep through the relatively
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Figure 4
Ground Surface Spectra*
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permeable fill material at the project site. The underlying bay mud is saturated, relatively
impermeable, and difficult to drain. Excavations approaching or exceeding the
groundwater level may necessitate dewatering during construction. The choice of a
suitable dewatering scheme, its design, and implementation should be the responsibility
of the contractor. The dewatering scheme chosen, designed, and implemented should
consider the following objectives:

e Lower the groundwater table and intercept seepage which would otherwise
emerge from the sidewalls or the bottom of the excavation;

e Improve the stability of the excavation at the sidewalls and the bottom; and

e Provide a reasonably dry work area in the bottom of the excavation throughout
the backfilling operation.

The design of the dewatering system should include provisions for the collection
and disposal of the water. Proper disposal will depend upon the nature and extent of the
groundwater contamination, if any. Characterization of such groundwater contamination
was not part of this study.

EARTHWORK CONSIDERATIONS

General. Given the earth materials on the project site encountered during our
exploration, the contractor should be able to carry out planned excavations using
conventional heavy equipment. However, we encountered hard drilling in several of our
exploratory borings as summarized in the Earth Materials section and in Table A-2.
Obstructions from debris such as old concrete and other rubble/debris should be
anticipated during excavation. General geotechnical considerations for sub-grade
preparation, excavations, bottom stability, general fill, engineered fill, engineered fill
placement and compaction, and structural backfill are presented in the following sections.

Evaluation of the presence, or absence, and treatment of hazardous materials were
not part of this study. If hazardous materials are encountered during excavation, proper
handling and treatment during construction will depend on the contaminant type,
concentration, and volatility.

Site Preparation and Grading. Site preparation will consist of excavation and
removal of on-site materials such as pavement, concrete, fences, and miscellaneous
debris in preparation of the foundation excavations. Also as part of site preparation, the
location of underground utilities should be determined and, if affected by construction
activities, should be relocated or protected. As described in the Site Conditions section,
the batch plant activities of Pacific Cement has resulted in the site being generally
covered with concrete rubble and concrete pads that serve as supports for construction
trailers and other equipment. The site should be proof-rolled after excavation or
backfilling operations are completed.
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We understand that the project plans call for some nominal grading, including
some cut of about 2 feet and about 0.5 to 3.5 feet of fill placement at some locations.
Grading information available to us at this time is shown on Plate 6 — Thickness Contours
of Proposed Cut and Fill. This grading is necessary to achieve proper site drainage. The
placement of areal fill to achieve final design surface grades may induce some
settlements of underlying soft compressible bay mud. For example, the placement of 3 to
3.5 feet of areal fill may cause up to 2 inches of consolidation settlement within the
underlying younger bay mud. Additionally, based on our sampling, testing, and analysis,
it is apparent that the younger bay mud may be undergoing some continued consolidation
settlement resulting from loads imposed by the existing fill at the site, some of which was
placed as recently as the late 1960’s. Settlement resulting from consolidation of younger
bay mud generally occurs gradually over a long time period, and is a function of bay mud
properties, thickness of the bay mud layer, and drainage properties of the overlying and
underlying soil strata. Table 5 — Estimated Time Rate of Consolidation, provides an
estimate of the rate of consolidation (and hence, degree of ultimate settlement) with
respect to the thickness of the younger bay mud.

TABLE 5 - ESTIMATED TIME RATE OF CONSOLIDATION

Time Average Degree of Consolidation (%0)
(years) H = 20 feet H = 30 feet H = 40 feet
1 45 33 25
2 70 45 35
5 90 75 55
10 95 90 75
25 100 99 95
50 - 100 100

Notes: 1-H = Thickness of younger bay mud
2 - Based on coefficient of consolidation of 20 ft*/year and double drainage conditions.

In addition to these primary consolidation settlements, the younger bay mud will
likely continue to undergo secondary consolidation settlement for a period of several
years after completion of primary settlement. Our estimates of anticipated settlements
from primary consolidation of younger bay mud resulting from the existing fill and
proposed new fill, as well as secondary consolidation settlement of younger bay mud, are
shown on Plate 10 - Settlement Induced by Existing and New Fill. Design of grading and
drainage should consider the estimated settlements shown on Plate 10.

Excavations. Excavations are expected to encounter very dense to hard gravelly
fill, followed by gravelly, loose to medium dense fill material containing varying
amounts of debris including concrete, brick, wood, and metal fragments. Shallow
excavations for the power plant structures will allow for unshored excavations with
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adequately sloped sidewalls (within the upper areal fill), or vertical walled shored or
braced excavations where space constraints may not allow for open, sloped excavations.
At a minimum, excavations should be constructed in accordance with the current
California Occupational Safety and Health Administration (OSHA) regulations (Title 8§,
California Code of Regulations) pertaining to excavations. Temporary cut slopes for
shallow excavations within the fill are expected to be stable for configurations described
in Title 8 for Type C soils and should be cut back no steeper than 1.5 horizontal to 1
vertical (1.5:1). All excavations should be closely monitored during construction to
detect any evidence of instability.

Care should be taken when excavating near existing utilities and pipelines. New
excavations can undermine support of adjacent existing pipelines and other subsurface
structures. We recommend that some form of vertical shoring system should be
considered for excavated sidewalls that are adjacent to existing pipelines or other known
buried adjacent structures.

Particular attention should also be given to excavations near other existing
structures, such as the existing warehouse along the southern boundary of the project site
and structures associated with the proposed Muni Light Rail Vehicle Maintenance and
Operation Facility, whose construction will likely be completed prior to construction of
the power plant. Care should be taken to minimize prolonged lowering of groundwater
below adjacent structures. If prolonged excavation dewatering is anticipated adjacent to
existing structures, a system for monitoring effects of the excavation and dewatering
should be established.

General Fill. On-site material that is determined non-hazardous and that is free
of debris and other unsuitable materials may be used as general fill. Excavation and
redistribution of the debris fill materials will likely require monitoring and screening as
necessary. Any zones containing excessive debris should be identified, segregated from
the suitable material, and disposed of appropriately. Areas receiving general fill should
be limited to general grading, landscaping, and for areas that are not supporting
structures. Typically, soils used as general fill should have a low potential for expansion
(i.e., plasticity index less than 15 and liquid limit less than 40), and should be relatively
free of organic matter and other unsuitable material; and rocks, broken concrete, or other
solid materials greater than four inches in greatest dimension. Some fragments greater
than 4 inches may also be incorporated into the fill provided that they are distributed in a
manner that prevents nesting and so that the voids between large fragments are filled with
finer material.

Engineered Fill. Placement of engineered fill may be needed to replace over-

excavated soft soils or unsuitable full in preparation for construction of footings, slabs, or
mats. Material for engineered fill should be non-hazardous, inorganic, well graded, free
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of rocks or clods greater than 4 inches in greatest dimension, and have a low potential for
expansion. The material should have a liquid limit less than 35, a plasticity index less
than 15 and no more than 25 percent passing the No. 200 sieve. Because the on-site fill
contain a variety of debris, it is likely that it may be uneconomical to derive material
suitable for engineered fill from on-site excavated materials. On-site material that is
determined non-hazardous and that is free of debris and other unsuitable materials may
be used as general fill for areas not supporting structures such as foundations, slabs, etc.

If large over-excavations are required to remove unsuitable subsoils for
foundation preparation, consideration should be given to potential settlements of younger
bay mud resulting from the net load increase associated with the placement of engineered
fill in such over-excavations.

Engineered Fill Placement and Compaction. Engineered fill should be placed
in layers no greater than 8§ inches in uncompacted thickness, conditioned with water or
allowed to dry to achieve a water-content near or slightly above optimum, then
mechanically compacted to at least 90 percent relative compaction based on ASTM
D1557. All engineered fill placed to support footings and the upper 6 inches of
engineered fill supporting slabs-on-grade should be mechanically compacted to at least
95 percent relative compaction as determined by ASTM D1557. All compaction should
be performed using mechanical compaction means; flooding or jetting should not be used
as a means to achieve compaction. The ASTM DI1557 laboratory compaction tests
should be performed at the time of construction to provide a proper basis for compaction
control.

Structural Backfill. Structures extending below grade should be backfilled with
structural fill to a minimum width of two feet beyond the foundation footprint. Structural
backfill should meet the following gradation:

Sieve Size Percent Passing
3 inches 100

11/2 inch 80 to 100

#4 50 to 100

#16 40 to 90

#50 10 to 60

#200 0to 10

Backfill should be moisture conditioned to within two percent above optimum,
placed in layers not exceeding 8 inches in uncompacted thickness, and mechanically
compacted to 90 percent relative compaction per ASTM D1557.
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Pipe Bedding. Small diameter pipes and other utility lines servicing the power
plant are anticipated. Unless concrete bedding is required around utility lines, pipe
bedding placed in dewatered trenches should consist of well-graded sand or sand-gravel
mixture. Maximum gravel size should be 0.5 inches and the bedding material should
have less than 12 percent passing the No. 200 sieve. Uniformly graded material such as
pea gravel should not be used as pipe bedding material. Pipe bedding should have a
minimum thickness of 6 inches beneath the pipe and 6 inches above the pipe. If soft or
otherwise unsuitable soils are exposed in the bottom of the trench excavation, the
necessity of over-excavation should be evaluated by the project geotechnical engineer.
All pipe bedding should be placed to achieve uniform contact with the pipe and a
minimum relative compaction of 90 percent per ASTM D1557. Compaction of the pipe
bedding by means of jetting or flooding should not be allowed.

Utility Trench / Pipe Backfill. Utility and pipe trenches may be backfilled above
the pipe zone with excavated on-site soils, provided they meet the gradation requirements
of engineered fill. The backfill material should be placed in layers no greater than
8 inches in un-compacted thickness, conditioned with water or allowed to dry to achieve
a moisture-content near or slightly above optimum, then mechanically compacted to at
least 90 percent relative compaction based on ASTM D1557. The upper 2 feet should be
compacted to at least 95 percent relative compaction in areas where structural or traffic
loads are anticipated.

FOUNDATION RECOMMENDATIONS

General. The Muni power plant site is underlain by several feet of uncontrolled
artificial fill and soft younger bay mud sediments. These units pose several geotechnical
challenges, as evidenced from our exploratory drilling as well as from the geophysical
exploration. Based on our understanding of the proposed structures and the anticipated
loads as provided to us by the designers, we conclude that the structures should be
founded on deep foundations. Only lightly loaded structures that can withstand
settlements with respect to pile-supported structures and that can be easily repaired by
means of on-going maintenance in the event of excessive total and differential
settlements may be supported on shallow footings.

We carried out a cursory evaluation of the suitability of ground modification
techniques in lieu of deep foundations. Based on the support requirements of the
proposed structures and based on the random character of the artificial fill, we concluded
that ground modification methods are not suited for the project as described, as they may
be cost prohibitive. In addition, the main difficulty with the project site lies with the
randomness of the artificial fill and the likely obstacles that may be encountered during
drilling, and most ground modification methods, other than deep dynamic compaction,
require drilling.
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Due to the stratigraphy of the subsurface materials underlying the site and due to
the presence of high groundwater, pre-cast, pre-stressed concrete driven piles are the
most suitable type of deep foundations for the project. Steel H-piles are also suitable for
foundation support, but we are not recommending them as they are likely to be
uneconomical for this project.

Driven Concrete Piles. Most of the proposed power plant structures, especially
the heavily loaded structures such as water storage tanks, combustion turbine generators,
SCR/CO catalyst systems, and stacks, should be supported on driven pile foundations.
We recommend 14-inch square pre-cast, pre-stressed concrete driven piles that would
derive their support predominantly through skin friction within the upper layered
sediments (Quls) and older bay mud (Qobm) that is generally present below the younger
bay mud (Qybm).

Such 14-inch square concrete piles appear to be the most efficient for the site,
given the thickness of fill and the younger bay mud. For pile design, we have identified
two distinct areas within the project site: Area B that is present in the middle of the site
and two Area A’s that are present on either sides of Area B. These areas are as shown on
Plate 11 — Pile Design Areas A and B.

The pile tip elevations recommended herein correspond to allowable downward
compressive capacities of 100 tons and 125 tons. Lower capacity piles are expected to be
inefficient due to the 50- to 60-plus feet of artificial fill and younger bay mud that do not
contribute to pile support. In the following sections, we denote the piles with allowable
downward compressive capacities of 100 tons as “100-ton piles” and those with 125 tons
allowable downward compressive capacities as “125-ton piles”.

For structures to be supported within Area A, we recommend the following pile
tip elevations: (1) Elevation -75 feet for the “100-ton” piles, and (2) Elevation -95 feet
for the “125-ton” piles.

For structures to be supported within Area B, we recommend the following pile
tip elevations: (1) Elevation -95 feet for the “100-ton” piles, and (2) Elevation -105 feet
for the “125-ton” piles.

Pile Lateral Capacity. Resistance to lateral loading will be provided by passive
resistance of the soil against the pile shafts. The lateral load response for 14-inch pre-
stressed pre-cast concrete piles under “free head” and “fixed head” conditions was
analyzed using load-deflection “p-y” analysis using the computer program LPILE (Reese
and Wong, 1989). The “p-y” analysis models the non-linear pile-soil interaction along
the depth of the pile. The estimated pile head deflection, the maximum moment in the
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pile, and the location of the maximum were computed for various lateral loads. The
loads used in the analysis are actual loads and have not been modified to include any load
factors. Results of the analysis for individual piles are presented on Figure 5 - Lateral
Load versus Pile Head Deflection, and on Figure 6 - Maximum Pile Moment versus Pile
Depth.

Figure 6 indicates that maximum moments occur in the pile at a depth between 5
and 10 feet, depending on the pile head condition (“free” or “fixed”) and the imposed
lateral load, and that moments decrease to zero at approximately 30 feet below the pile
head. @~ However, as discussed in the site specific dynamic response analysis
(Appendix B), the potential exists during seismic activity for relatively large soil shear
strains to occur at the interface of bay mud (younger and older) with upper layered
sediments and artificial fill. These potential strains may induce significant shear and
moment loads on the pile at depths greater than 30 feet. Consequently, we recommend
that pile steel reinforcement designed for the loads, moments, and deflections shown on
Figures 5 and 6 be extended the full length of the pile.

The results presented on Figures 5 and 6 are applicable for individual piles only.
Lateral response of piles in a group is affected by pile spacing, pile orientation, and
direction of loading. Hence, lateral resistance of pile groups can only be evaluated after
the pile layout is determined. For preliminary design, in the case of piles in a row where
the spacing is 3 pile diameters and the loading is in the direction of the pile row, it can be
assumed that the lead pile in the row develops it full lateral load capacity, while the
trailing piles develop 40% of their full lateral capacity. If the spacing is increased to 5
pile diameters, the piles may be assumed to develop their full capacity for the same
direction of loading. For spacing between 3 and 5 pile diameters, the trailing piles
capacity may be obtained by interpolation.

Pile Installation. Pre-drilling through the artificial fill will be required prior to
installing the piles. The construction contractor should be prepared to encounter
obstacles such as timber, concrete rubble, and other obstructions during pre-drilling. The
findings of this report, including difficulties encountered during our exploratory drilling
program, and the geophysics report presented in Appendix C, should provide some
indication with regards to likely obstacles within the fill.

The 14-inch concrete piles should be installed using an appropriate pile driving
system, such as a Delmag D46-32 diesel hammer, that is capable of delivering the
necessary driving energy. These piles, if installed using a suitable hammer, are unlikely
to encounter ‘refusals’ within the bearing strata. Depending upon the final foundation
plans that are developed by the designers, it is likely that the piles may need to be driven
using a follower.

SF05019-28



FIGURE 5
LATERAL LOAD versus PILE HEAD DEFLECTION
Muni Site Power Plant
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NOTE: Deflections shown are for 14-inch square pre-stressed pre-cast concrete piles only.

SF05019 - 29



FIGURE 6
MAXIMUM PILE MOMENT versus PILE DEPTH

Muni Site Power Plant
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NOTE: Moments shown are for 14-inch square pre-stressed pre-cast concrete piles only.

SF05019 - 30




5.5

5.6

5.7

5.8

Upon completion of the design and hiring a contractor and prior to pile driving,
we should be given an opportunity to perform a wave-equation type dynamic ‘drivability’
analysis of the contractor’s proposed driving equipment to evaluate the adequacy of the
driving system and to develop suitable pile driving criteria such as blow counts at the end
of driving.

Indicator Pile program/PDA Tests. To better evaluate the driving
characteristics of the pile-hammer system, to assess the feasibility and efficiency of using
the contractor’s preferred hammer, and to develop driving criteria (blows per foot,
hammer type, fuel setting, etc.) for the production piles, we recommend that an indicator
pile program be carried out prior to casting and delivering the production piles. Indicator
piles are not ‘sacrificial’ elements and will function as part of the foundation system. We
also recommend that some of the indicator piles be instrumented for PDA (Pile Dynamic
Analyzer) testing and such PDA tests be performed on-site during installation of the
indicator piles. Such PDA tests will be used to evaluate the driving stresses within the
pile, to confirm the pile’s integrity, as well as used to assess the as-driven design
capacities of the piles. The number and location of the indicator piles should be
developed once the foundation design is completed and the pile layout is available.

Uplift. Short-duration uplift forces imposed on piles due to overturning moments
will be resisted by the buoyant weight of the piles and by the friction mobilized along the
pile shaft. For calculating the uplift capacity required to resist short-term uplift forces, an
ultimate uplift resistance of 100 tons per pile may be considered for the “100-ton” piles
and an ultimate uplift resistance of 125 tons for the “125-ton” piles.

Downdrag. It is likely that some amount of downdrag loads due to negative skin
friction within the artificial fill and younger bay mud are imposed on the piles. We have
taken into consideration the likelihood of such downdrag forces in developing our
recommendations for the minimum pile tip elevations.

Shallow Foundations. The designers should consider using pile foundations for
most of the power plant structures. However, lightly loaded structures that can undergo
relatively large differential settlements, especially with respect to other pile supported
structures, may be supported on shallow footings. Such structures should also not require
excavations deeper than about 2 to 3 feet below existing grade, as such excavations may
encounter significant quantities of unsuitable materials. The maximum width of shallow
footings, such as footings for walls and lightly loaded columns, should not exceed 3 feet.

Foundations that are constructed per the requirements presented in Section 4 -

Earthwork should have allowable bearing capacities of 2,000 pounds per square foot (psf)
to resist dead plus normal duration live loads. The recommended allowable bearing
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capacity may be increased by one-third for short-duration wind and seismic loads. The
allowable bearing capacity value presented here has a factor of safety of at least 3.0
against bearing failure.

Foundation Settlements. Structures that are founded on 14-inch pre-cast pre-
stressed concrete piles as recommended in this report may settle less than 0.5 inches
during or immediately after construction. Long-term settlements of the pile foundations
are unlikely. Shallow footings, designed and constructed in accordance with the
recommendations of Section 5.7, should not induce any further consolidation of the
younger bay mud, but should be expected to undergo total settlements on the order of 0.5
to 1.5 inches due to loads imposed by existing and proposed new areal fill. Due to likely
on-going consolidation settlement of the younger bay mud and due to the randomness of
the artificial fill, differential settlements with respect to pile supported structures are
likely to be significant over time, on the order of 4 to 8 inches, resulting from a
combination of consolidation settlement of the younger bay mud and potential seismic
settlements of site fill. A breakdown of anticipated settlement modes and magnitudes for
shallow and deep foundations is shown on Table 6 — Settlement Estimates. Refer to
Plates 9 and 10 for estimates of seismic induced settlement of artificial fill and
consolidation settlement of younger bay mud, respectively. Elements of project design,
such as utility lines, should be designed to accommodate such differential settlements.

TABLE 6 — SETTLEMENT ESTIMATES

Anticipated Settlement (inches)
Settlement Mode Shallow Footing Deep Pile
Foundations Foundations
Post Construction Immediate Settlement < <
Liquefaction/Seismically Induced Subsidence <1%to 5% NA®D
Consolidation Settlement Yato 3 NA
Secondary Consolidation Settlement 12102 NA

M NA: Not Anticipated

LATERAL EARTH PRESSURES

Structural components that extend below ground surface, such as foundations,
below-grade walls, and temporary shoring systems, will experience lateral earth pressure
from the soil and hydrostatic pressure from any existing groundwater. Recommendations
for design and assessment of the active, at-rest, passive, and seismic earth pressures, and
coefficient of base friction to resist active and at-rest loads for restrained and unrestrained
walls are provided in Figure 7 - Lateral Earth Pressures for native areal fill material and
Engineered Fill. Active earth pressures are imposed by the soil on walls that are free to
translate or rotate at least 0.004H, where H is the height of the wall. If walls are
restrained or deflections are undesirable, at-rest earth pressures should be used in design.
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FIGURE 7

LATERAL EARTH PRESSURES
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Loads on walls and structures can be resisted by passive pressures that develop against
the side of the below-grade structure. Surcharge loading from adjacent structures should
be evaluated separately. The passive EFP shown on Figure 7 has been reduced from the
ultimate passive resistance to limit lateral deflections.

UPLIFT RESISTANCE

Structural components that extend below ground surface, if not designed with an
extensive drainage and permanent dewatering system, will experience hydrostatic uplift
pressure. Recommendations for design and assessment of uplift resistance of below-
grade structures are provided in Figure 8 — Uplift Resistance. Additional uplift resistance
may be provided by utilizing driven concrete piles. Uplift capacities of piles are provided
in the Foundation Recommendations section of this report.

WATERPROOFING

Waterproofing is often a critical element in protecting the use of structures that
extend below the groundwater table. As such, an engineer or architect familiar with the
design and installation of waterproofing systems for slabs and walls below the
groundwater level should be consulted.

For wall penetrations at pipe locations, seals that limit the amount of seepage to
an acceptable level should be designed and installed. Water stops should be used at
horizontal and vertical construction joints to reduce the likelihood of water infiltration.
Waterproofing should be protected from being damaged by compaction equipment and
other construction vehicles after installation, and any damage should be repaired prior to
resuming with the backfilling operations.

PAVEMENT DESIGN

Flexible Pavement. To facilitate vehicle access and parking, the proposed
power plant development will include paving in the areas surrounding facility structures.
Near surface on-site soils exhibit a high traffic supporting strength when used as
pavement subgrade. R-values of 45, 80, and 85 were measured from representative bulk
samples of near-surface site soil. An R-Value of 45 was utilized for determining the
asphalt concrete (AC), aggregate base (AB), and aggregate subbase (ASB) sections
presented on Table 7 — AC Pavement Structural Sections. The structural sections
presented in the table are based on the California Method of flexible pavement design as
presented in Chapter 600 of the Caltrans Highway Design Manual (Caltrans, 2004). The
pavement sections consider traffic indices of 5, 7, and 9 for the possible type and volume
of traffic anticipated on the site access/maintenance roads and parking areas.
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TABLE 7 —AC PAVEMENT STRUCTURAL SECTIONS

. 5 7 9
Traffic Index
Option 1 Option2 | Option1l | Option2 | Option1 | Option 2
Asphalt Concrete 3” 2.5 4” 3.5 6” 5”
Class 2 Aggregate Base » » » » » »
(R=78) 4 5 6 6 8 8
Aggregate Sub-base (R=50) - 4” - 4” - 4”

Rigid Pavement. Rigid pavement, or Portland cement concrete (PCC) pavement,
should be designed in accordance with the Caltrans Highway Design Manual (2004).
Topic 603 of the referenced manual covers the design of the PCC pavement structural
section, and Topic 606 covers the design of the drainage components.

The Resistance Value, or R-value, of the basement soils was tested by California
Test 301. Three soil samples in the upper 5 feet of fill were evaluated to have R-values
of 80, 85 and 45.

Based on the results of the R-value testing and the Caltrans Highway Design
Manual, we recommend the PCC pavement structural sections provided in Table 8 — PCC

Pavement Structural Sections.

TABLE 8 - PCC PAVEMENT STRUCTURAL SECTIONS

PCC Pavement Treated Aggregate Base
. . Permeable .
Traffic Index Thickness . Thickness
(inches) Base_Thlckness (inches)
(inches)

5 8 4 4
7 8 4 4
9 8.5 4 5

Structural section components should comply with the relevant portions of the
Caltrans Standard Specifications (1999) along with the Amendments to the July 1999
Standard Specifications (2005) except as modified in this section of the report. The PCC
pavement should have a compressive strength of at least 4,000 psi, and have at least 5.5
sacks of cement per cubic yard of concrete. Treated permeable base may be either
asphalt treated (ATPB) or cement treated (CTPB) in accordance with Section 29 of the
Standard Specifications. Aggregate base material should meet the requirements of Class
2 Aggregate Base in Section 26 of the Standard Specifications. The aggregate base
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should be compacted to at least 95 percent of the maximum dry density as evaluated by
ASTM D1557.

The treated permeable base should have a free draining outlet either to a daylight
or to an underground piping system so that the basement soils do not get saturated.

If differential movement and/or some minor spalling at construction joints is
undesirable, dowel bars should be installed to connect adjacent sections of PCC
pavement. The dowels should be a smooth, epoxy-coated 1 % inch bar, and set across the
pavement joints so that the dowel moves independently from the PCC pavement. The
spacing of the dowels should be about every one foot along the joint. Additional
guidance can be provided in the event that dowels are deemed to be necessary at joints.

SITE VIBRATION STUDY

We understand that the vibrations caused by the fuel gas compressors at the
project site are of concern to the designers of the neighboring Muni Metro East facility.
We carried out a vibration study of the four fuel gas compressors at the southwestern
portion of the site.

PB Power, Inc. provided fuel gas compressor data for an Ariel JGD/2 compressor.
The Ariel JGD/2 compressor is a large, medium speed, reciprocating, horizontal
compressor with two double-acting cylinders. The compressors operate at a maximum
speed of 1200 revolutions per minute. The weight of the compressor skid was estimated
to be 100 kips by PB Power, Inc., and the skid dimensions are approximately 14 feet
wide by 32 feet long by 10 feet high.

The two cylinders in each of the compressors are of two types: cylinder model 15-
7/8D, the low pressure cylinder, and cylinder model 11D, the high pressure cylinder. The
cylinder models refer to the bore diameter in inches. The cylinders are opposed and the
weights balanced so that the unbalanced forces of the reciprocating compressors are
largely cancelled out. However, the fuel gas compressors can operate with some
imbalance on the opposing cylinders in between maintenance cycles. Small unbalanced
horizontal forces are created by this imbalance, which cause the equipment to be pushed
and pulled in translation. Though unbalanced forces are small to negligible, two cylinder,
reciprocating compressors can have significant horizontal primary and secondary couples
and significant vertical primary couples. The horizontal couples are created by the need
to horizontally offset the opposing cylinders, which results in twisting of the equipment.
This is sometimes referred to as “yawing”. The vertical couple is created by the vertical
component of motion of the counterweight on the crankshaft arm. This results in rocking
of the equipment. Table 9- Unbalanced Forces and Couples Data for Ariel JGD/2
Compressor provides the unbalanced forces and couples data for the Ariel JGD/2
compressor as provided by PB Power, Inc.
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TABLE 9 — UNBALANCED FORCES & COUPLES DATA FOR
ARIEL JGD/2 COMPRESSOR

Direction of I .
Force Description Primary Secondary

Force at Maximum . .
Imbalanced Weight of 2.5 1bs. 0.274 kip 0.044 kip

Horizontal | porce for Actual Weights 0.066 kip 0.011 kip
Couple 20.437 kip ft. | 6.867 kip ft.
Force 0 -

Vertical

Couple 22.016 kip ft. --

The unbalanced forces and couples data was used to analyze the likely vibration
response of the fuel gas compressor foundations. We analyzed the dynamic response of
the foundations using steady-state, frequency-dependent input motions from the
reciprocating compressors. The compressor and foundation system were lumped together
as a single mass with a single spring and single damping constant for each mode of
vibration (translation, rocking and twisting), and the ground was assumed to be an elastic
half space. The simplifications of this lumped-parameter system approach allow for easy
use of parametric studies to select an appropriate foundation design. The approach, with
relatively minor variations between references, is included in Richart et al. (1970),
Bowles (1996), and Naval Facilities Engineering Command (1983).

The soil was modeled based on soil classification from borings B-10 and B-11,
laboratory test results, and the cross-hole seismic test results performed in the vicinity of
the proposed fuel gas compressors. Supporting geotechnical data is provided in
Appendix A. The geophysics report by Southwest Geophysics, Inc., with the crosshole
seismic data, is included in Appendix C. The upper 15 to 30 feet of the soil profile, along
with deep foundation systems when used, affects the dynamic response of the compressor
foundations. The upper 10 feet of soil is most significant. The crosshole seismic tests
indicate that the shear wave velocity, Vj, of the fill is high in the upper 10 feet (Vs avg =
1280 ft./sec.), increases for the next 10 feet (Vs avg = 1590 ft./sec.), and then drops to
lower values in the bottom 10 feet of fill (V;, ave = 980 ft./sec.). The soil parameters used
in the dynamic response of foundations is shown in Table 10 — Soil Parameters for
Dynamic Response of Foundations.
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TABLE 10 — SolL PARAMETERS FOR DYNAMIC
RESPONSE OF FOUNDATIONS

Soil Parameter Value
Unit weight, y 130 pcf
Shear wave velocity, Vs max 1,280 ft./sec.
Shear modulus, Guax 6620 ksf
Poisson’s ratio, v 0.33
Damping ratio, D 0.03

Generally, the design of machine foundations is an iterative process wherein a
foundation type is first assumed, and the vibrations calculated. The foundation is then
modified until the vibrations are in an acceptable range and the natural frequency of the
equipment/foundation system is far from the operating frequencies of the machine. The
maximum operating frequency of the Ariel JGD/2 fuel gas compressors is 1200
revolutions per minute, or 20 hertz. The compressors can therefore be expected to
operate at between about 10 to 20 hertz with lower frequencies passed through during
equipment start up and shut down. Due to the high shear wave velocities of the fill and
the large plan area of the compressor skid, the natural frequency of the lumped-mass
system is fairly high. For this reason, foundation modifications on subsequent iterations
were to add extra stiffness and further increase the natural frequencies.

Based on our dynamic response analysis, we have the following geotechnical
recommendations for the fuel gas compressor foundations:

e The foundations for the compressor skids are designed to be pile caps supported
by 14-inch square friction piles based on supporting static loads and accounting
for possible site settlement. We recommend that the dead load on the piles for the
fuel gas compressors be limited to one-half of the allowable geotechnical
capacities provided in the Foundation Recommendations section. The center to
center spacing of the piles should be at least 6 feet. The piles should be well
anchored to the pile cap so that pile fixity at the top is ensured. Further, the pile
layout should be carefully selected to arrange the piles in a pattern about the
center of gravity of the compressor skid plus pile cap.

e The pile cap should be 30 inches thick for vibration considerations. If the pile cap
is required to be thinner or thicker for other considerations, further vibration
analysis should be performed with the revised pile cap thickness.

e The vibration response is based on the subgrade below the pile cap consisting of
well-compacted gravelly soils with a minor amount of fines. If during grading,
on-site soil conditions are judged to be different from this, the upper 24 inches of
soil should be removed and replaced with Class 2 aggregate base (Caltrans
Standard Specifications, 1999). The Class 2 aggregate base and/or upper 24
inches of gravelly soils should be compacted to 95 percent of maximum dry
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density as evaluated by ASTM D1557. Modification of the on-site soils with
cement or lime additives in lieu of replacement may also be considered by the
geotechnical engineer during construction. Furthermore, the site grading should
be done in such a way that there is no settlement of the soil away from the pile-
supported pile cap because of consolidation-related settlement in the underlying
younger bay mud.

Provided the above foundation recommendations are followed, we estimate that
the amplitude of vibration at the foundation level from a single gas compressor will be no
more than approximately 0.0001 inch. The predominant frequencies of vibration are
anticipated to be between about 20 and 40 hertz based on an operating speed of 10 to 20
hertz of a double-acting cylinder. Since there may be up to four fuel gas compressors
operating at any one time, there may be some superposition of vibrations transmitted
away from the fuel gas compressor foundations. The largest amplitude of motion by
superposition for the proposed system is estimated to be on the order of 0.0004 inch,
though it will likely be less as the vibrations will be at different phases from each of the
four compressors. Based on data compiled by Reiher and Meister (1931) on the human
perception of steady state vibrations, the vibrations in the range of 0.0001 inch to 0.0004
inch will be barely to easily noticeable to persons if standing adjacent to the fuel gas
COMPIessors.

For off-site structures at the adjacent Muni Metro East facility, the vibration
levels will be less than those immediately adjacent to the compressors. The vibration
level is less due to both geometrical damping as it propagates radially away from the
source, and by material damping within the soil. The vibrations decay proportionally to
the square root of the distance away from the source due to geometrical damping, and a
lesser amount due to internal damping in soil. Our calculations indicate that the
displacement amplitudes at a distance of 50 feet from the source will be on the order of 4
to Y4 of the displacement amplitudes at the source of vibration. This indicates that the
amplitude of vibration at the Muni facility will be no more than approximately 0.0001 to
0.0002 inch provided the foundation recommendations are followed. Vibrations of this
magnitude at a frequency of about 20 to 40 hertz are barely noticeable to persons.

The allowable vibration levels at the Muni Metro East facility were unknown at
the time of submission of this report. If vibration levels less than those estimated herein
are required, additional dynamic response analysis of foundations can be performed.

GEOPHYSICS STUDY

We contracted with Southwest Geophysics, Inc. to perform geophysical testing at
the site. The geophysical testing was performed for two main purposes: (1) to evaluate
the presence and distribution of subsurface obstructions in the fill across the four-acre site
and (2) to evaluate the dynamic properties of the soils for a machine vibration study and
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for a site-specific dynamic response analysis during earthquakes. The geophysics report
includes a description of the geophysical methods utilized, the test results and an analysis
of the test results (Appendix C).

Southwest Geophysics, Inc. concludes that there is evidence of buried subsurface
obstructions in the upper 5 feet of fill, as well as buried deeper within the fill. The high
resistivity areas depicted in Figure 5 of the geophysics report (brown, orange, red and
purple shades) may indicate greater quantities of concrete and brick rubble and similar
highly-resistive materials. The data is representative for the resistivity lines STL-1 and
STL-2 as shown on Figure 2 of the geophysics report and on Plate 2 — Field Exploration
Map. The results, though, show that subsurface debris is prevalent over large portions of
the site.

Crosshole and downhole geophysical testing was performed to evaluate the shear
wave velocity of the soil profile. The results are shown on Figure 7 of the geophysics
report. This data was utilized in the machine vibration study and the site-specific
dynamic response analysis during earthquakes. A refraction microtremor (ReMi) survey
was also conducted and results presented in Figure 6 of the geophysics report. The ReMi
test results show a reasonable average trend of shear wave velocities with depth, but were
considered to be not as reliable as the crosshole and downhole geophysical test results,
and were therefore given lesser weight in selection of dynamic soil parameters.

CORROSION

Marine environments such as that of the project site are typically moderately to
highly corrosive to ferrous materials because of the presence of salt water and microbes
in the bay mud. Microbial corrosion tends to be most serious in poorly drained soils that
have low oxygen levels and redox potentials, high organic matter levels, high clay
contents, and neutral pH values (Iverson, 1974). Hence the marine deposits underlying
the artificial fill at the site should be considered moderately to severely corrosive to
structural elements composed of ferrous materials. Elements extending above the ground
surface will be exposed to a salt water environment and should be protected from
corrosion as appropriate.

To further characterize the corrosive properties of the areal fill, the bay mud, and
the upper layered sediments at the project site, representative soil samples were collected
from our borings B-6, B-8, B-11, and B-12 at depths of 14, 45, 5, and 65 feet,
respectively, and tested for corrosive properties. Each sample was tested for sulfates,
chlorides, pH, and resistivity in as-received and saturated states. The tests were carried
out by CONCECO/MATCOR Engineering, Inc. Results of the laboratory tests for
corrosive properties are included in Appendix A.
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The resistivity tests indicate that the younger bay mud sample (recovered from
B-8) and the upper layered sediments sample (recovered from B-12) are severely
corrosive to ferrous materials and the fill samples are slightly corrosive to moderately
corrosive. The sulfate and chloride content in the sample recovered from B-8 at 45-foot
depth are very high, indicating that the soils are not only severely corrosive to ferrous
materials but also deleterious to concrete. Chlorides are particularly corrosive to ferrous
materials. The pre-stressed concrete piles’ mix design should include appropriate
corrosion inhibitors against sulfate and chloride attack to maintain the design life of the
piles. The detailing of the lifting lugs in the pile should adequately address the
prevention of water from getting into the interior of the pile, such as the use of a suitable
epoxy to seal the lug locations.

ENVIRONMENTAL ANALYSIS

During our subsurface investigation, CH2M Hill collected soil samples for an
environmental conditions analysis. The samples were collected from select borings. It is
our understanding that CH2M Hill will provide the laboratory results to the SFPUC under
separate cover.

CONSTRUCTION CONSIDERATIONS

Excavations will most likely encounter some zones containing large debris such
as concrete blocks, wood, and metal requiring additional means for removal, though
measures such as heavy ripping or blasting are not anticipated. Excavations that are
greater than 6 feet deep may encounter groundwater that may inundate the excavation,
requiring dewatering measures. Dewatering measures should be implemented to provide
a relatively dry environment for the placement, moisture conditioning, and compaction of
engineered fill and backfill, and to provide a firm working surface at foundation grades
for construction of footings or other soil load bearing structures. Design and
implementation of any dewatering scheme should be the responsibility of the contractor.

Excavation-related settlement should be evaluated by the contractor when
performed in close proximity to adjacent structures. The settlements related to
excavation support movements, bottom heave, and dewatering should be evaluated by a
qualified geotechnical engineer. Pre-condition surveys of existing structures may also be
performed to document existing distress to the structures.

Installation of pile foundations is likely to be difficult due to the prevalence of
buried debris within the fill layer. Pre-drilling for piles will be required, and may require
considerable effort on the part of the pile driving contractor. The pre-drilling will
encounter obstructions that will be difficult to bypass, and caving will likely occur during
pre-drilling below the groundwater table.
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Pile driving criteria should be developed using an appropriate wave equation type
dynamic analysis based on the contractor’s proposed driving equipment and the pile type,
prior to pile installation. The upper layered sediments through which the piles must be
driven have layers of dense to very dense sands, so selection of an appropriate hammer
for pile installation is essential.

Pile driving will also cause considerable noise and vibrations, which can
sometimes be disturbing to people working in the area. Typically the vibrations do not
cause distress to structures as long as the pile driving takes place more than about 20 to
30 feet from it. As a precaution, we recommend that piles first be installed far from
adjacent buildings while recording ground vibrations with a seismograph. The need for
continuing use of the seismograph during pile driving can be evaluated by the
geotechnical engineer during construction.

We should be retained during construction to provide site observation and
consultation concerning the condition of the bottom of excavations pertaining to
foundation construction, and for pile driving observation and documentation. Foundation
grades should be observed and, where necessary, tested under the direction of a qualified
geotechnical engineer to verify compliance with final design recommendations. All site
preparation work and excavations should also be observed to compare the generalized
site conditions assumed in the final design report with those found on site at the time of
construction.
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15.0 CLOSURE

The conclusions and recommendations presented herein are professional opinions
based on geotechnical and geologic data and the project as described. A review by this
office of any foundation, excavation, gradin